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ABSTRACT

The prime objective of the thesis was to study the influence of state on the capacity of driven
piles in sand. The work was prompted by findings of recent laboratory based research on the
mechanics of granular soils (Coop & Lee, 1993 and Jovicic & Coop, 1997) which showed that,
as for clays, a principal controlling factor of soil behaviour is the stress-volume state. The
work started in November 1996 and was funded buy the EPSRC under contract GR/L16590.

Centrifuge testing was used to investigate the behaviour of driven piles in sands. A new
actuator and strongbox package were designed and constructed taking full advantage of the
centrifuge facilities. A fully instrumented model pile was developed, which consisted of eleven
segments and allowed five independent measurements of shaft friction, four of radial stress and
one of end bearing to be taken during installation. The pile was jacked into samples of two
sands of varying densities at accelerations of between 50-200g, simulating piles of up to 70 m
in length and 3.2 m in diameter. |

The two sands used in the investigation were a carbonate sand and a quartz sand, chosen for
the diversity of their geological origins and behaviour. A series of triaxial tests was conducted

in order to characterise the behaviour of each sand, and in particular to locate precisely their

critical state lines in stress-volume space.

The centrifuge model tests showed that neither the end bearing nor the shaft friction could be
adequately predicted using methods based on relative density of the sand such as API-
RP2A (1993), but that the controlling factor for both was the state of the soil relative to the
location of the critical state line, which should be quantified not only by the density of the soil,
but also the effective stress level. The radial stress was found to be highest approximately
seven pile diameters above the pile tip and not at the pile tip as assumed in recent design
methods (e.g. Randolph et al., 1994 and Jardine & Chow, 1996). The friction angles mobilised
on the mode! pile were found to be significantly lower than those that were measured by

means of interface shear box tests, and it was found that the correct friction angle could only

be measured by interface ring shear tests taken to very large displacements.

An examination of the literature showed clearly that available field data support the new
framework, although the data were both very scattered and very limited in extent, particularly

because even the most extensive field tests rarely included even the basic laboratory tests

required to apply the new method of analysis.

The work therefore highlights severe limitations with many current pile design methods for

piles in sands and suggests how new methods should be based on correct quantification of

state.
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NOMENCLATURE

SYMBOLS

Note: all symbols shown appear in Italic in the text of the thesis and in all the equations.

General Symbols

<38 T 7O »

XY 2

Qo " >

area

diameter

force

gravitational acceleration
height

mass

volume

co-ordinates

small change of any parameter
strain

density

stress

Symbols related to Soil Mechanics

breakage potential

relative breakage

total breakage

cohesion

average particle size

pressure difference of plate dilatometer (Konrad, 1988)
relative density

current void ratio

Young’s modulus

void ratio at critical state (Gudehus, 1996)

void ratio at critical state at zero pressure (Gudehus, 1996)

void ratio in densest possible state (Gudehus, 1996)
minimum void ratio at zero pressure (Gudehus, 1996)
void ratio on the NCL (Gudehus, 1996)

maximum void ratio at zero pressure (Gudehus, 1996)
void ratio of soil in situ projected to p'=1.0 kPa
maximum void ratio

minimum void ratio

initial void ratio

void ratio at steady state (after Been & Jefferies, 1985)
tangent shear modulus

tangent shear modulus at very small strains (Gpax = G,)
elastic shear modulus at very small strains (G, = Gax)
shear modulus at very small strains sands on the NCL
granular hardness (Gudehus, 1996)

mean effective stress (Konrad, 1988)

density index equal to relative density in BS 1377
corrected relative density (Bolton, 1986)
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K earth pressure coefficient

Kaco earth pressure coefficient at rest for normally consolidated soil

K, earth pressure coefficient at rest

M gradient of critical state line in q:p’ space

N specific volume intercept of NCL at p'=1.0 kPa

n exponent for hypoplastic model (Gudehus, 1996)

P mean total stress

P mean effective stress

D'es mean effective stress defined on CSL

Pe equivalent mean effective stress defined on NCL

Pp mean effective stress at intersection of swelling line and NCL (p“,.p’y)
P’s mean intergranular pressure (after Gudehus, 1996)

Pa atmospheric pressure

Diim limit pressure from cavity expansion theory

q deviatoric stress (total stress is equal to effective stress)

Ry . stress ratio in v:Inp’- plane

\' specific volume

Ves specific volume at critical state

Vi specific volume of overconsolidated soil projected to p’=1.0 kPa
Vi specific volume of soil in situ projected to p'=1.0 kPa

o angle of wedge failure during cavity expansion (Randolph et al., 1994)
0 interface angle of friction

Ocs interface angle of friction at critical state

Y angle of friction

0 cs angle of friction at critical state

O max maximum angle of friction (peak angle of friction)

I specific volume intercept of CSL at p'=1.0 kPa

K slope of swelling line

A slope of 1sotropic normal compression line and critical state line in the v:Inp” plane
Vv Poisson’s ratio

o axial effective stress

O radial effective stress

1 state parameter in terms of volume (Konrad 1988)

Ya state parameter 1n terms of volume (Been & Jefferies, 1985)

WV Paramter €max-€min t0 normalise the state parameter (Konrad 1988)
Wx normalised state parameter (Konrad, 1988)

Symbols related to Piles

a, b parameters to adjust S; (Randolph et al., 1994)
A,B,C constants in MTD pile design method

Ay area of pile base

Ag value of P for stress ratio R; equal to one

Ang value of Nq for stress ratio R, equal to one

A area of pile shaft

avqs average unit shaft resistance of a pile

derr cone diameter of CPT

do pile diameter

dz relative pile head movement

E, Young’s modulus of a solid pile

G, average shear modulus (de Nicola & Randolph, 1993)
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operational shear modulus (MTD pile design method)

distance between a transducer and the pile tip (MTD pile design method)
rigidity index (Vesic, 1977)

length of burial of a pile

active length of the transducer on the model pile

length for averaging the transducer reading on the model pile
pile length

gradient in InB:InR; pile design chart

gradient in InNg:InR, pile design chart

bearing capacity factor

mean effective stress in the ground before installation of the pile
unit base resistance of a pile

ultimate base capacity of a pile

unit base resistance of a pile at depth, z

cone resistance of CPT

average cone resistance in CPT

unit shaft resistance of a pile

average global unit shaft resistance of a pile

ultimate shaft capacity of a pile

average local unit shaft resistance on the model pile

shaft resistance of a pile at depth, z

local shaft friction at the pile tip

local unit shaft resistance on the model pile

ultimate pile capacity

pile radius

ratio of the radial effective stress acting in the vicinity of the pile tip at shaft frictional
failure to the end bearing capacity (Randolph et al., 1994)
correction factor (Kraft, 1990)

depth of interest along the embedded length of the pile

unit shaft friction normalised with vertical effective stress (B = Ktand)
maximum value of f3

minimum value of {3

volume change parameter (Vesic, 1977)

interface angle of friction at failure (MTD-Method)

radial movement of the soil (MTD-Method)

change in radial effective stress during loading

normalised cone resistance in (MTD-Method)

pile compressibility (de Nicola & Randolph, 19993)

parameter to adjust rate of exponential decay of shaft friction (Randolph et al., 1994)
Poisson’s ratio of the pile

equalised radial effective stress (MTD-Method)

average radial total stress on the model pile

radial effective stress at shaft friction failure (MTD-Method)

vertical effective stress

initial vertical effective stress before installation of the pile

Symbols related to Laboratory Testing

A

Ao
D,

current cross sectional area of triaxial sample
initial cross sectional area of triaxial sample
initial sample diameter of a triaxial sample

20



d, initial sample diameter of the membrane

E, Young’s modulus of membrane

G, specific gravity

L. evaluation length

Lo initial length of a triaxial sample

p’ mean effective stress

q deviatoric stress

R, roughness average

Rmax maximum peak to valley height within the sampling length
R, normalised roughness

Rona normalised roughness average

R, peak height

Ry radius of stylus

R, maximum peak to valley height within the evaluation length
R, valley height

t, initial thickness of the membrane

u pore pressure

U uniformity coefficient

\ (current) specific volume

\'7 initial specific volume

Vi volume of solids

Vi total volume

W water content

avEa loc average local axial strain

€, axial strain

€4 loc local axial strain

£ radial strain

€1.loc local radial strain

€s shear strain

€y volumetric strain

Pud dry density

Prmax maximum density

Dhnin minimum density

Jo} particle density

c’'3 principal effective stress equal to radial stress in triaxial compression test
G’ 3corr correction due to membrane restraint applied to the radial stress in a triaxial test
C'a axial effective stress

o radial effective stress

Symbols related to Centrifuge Modelling

a acceleration

da. Coriolis acceleration

CFeor corrected calibration factor

CForyg original calibration factor

dy distance between pile tip and base of strongbox

dsw distance between the side wall of the strongbox and the centre of the pile
d. diameter of strongbox

G¢ gauge factor of a strain gauge

h,, model height

h, prototype height
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Lsrt length of shaft resistance transducer on the instrumented model pile

m, reduction of specific volume over depth in centrifuge model

N scale factor

N, number of active arms in a strain gauge circuit

r radius (of the centrifuge)

R, radius at which the scaling factor is accurate

R, radius from the centre of the centrifuge to the top of the model

SPANgr difference in calibration factor between the less and more sensitive axis on the shaft

resistance transducers on the instrumented model piles
V; initial specific volume

Via input voltage (strain gauge bridge circuit excitation voltage)
Vou output voltage of a strain gauged transducer
A specific volume at depth z 1n a prototype
Zm depth of centrifuge model
Z, equivalent prototype depth to the depth in centrifuge model
G 'vm vertical effective stress in the centrifuge model
C'vp vertical effective stress in a prototype structure
Ve velocity of the particles in the radial direction
® radial acceleration
ABREVIATIONS
API American Petroleum Institute
ASTM  American Society for Testing Materials
BFT Base Force Transducer
BRE Butlding Research Establishment
BS British Standard
CPT Cone Penetration Test
CSL Critical State Line
CUIMP City University Instrumented Model Pile
DBS Dogs Bay Sand
DIN Deutsches Institut fiir Normungswesen (German Standard Institution)
DMT Flat Plate Dilatometer
GERC  Geotechnical Engineering Research Centre at City University
IC Imperial College of Science and Technology, London
LBS Leighton Buzzard Sand
LVDT  Linear Variable Differential Transformer
MTD Marine Technology Directorate
NCL Isotropic (Normal) Compression Line
OCR Overconsolidation Ratio
PCD Pitch Cylinder Diameter
PPT Pore Pressure Transducer
QSS Quasi Steady State
RST Radial Stress Transducer
SPT Standard Penetration Test
SRT Shaft Resistance Transducer
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1. Introduction

1.1 Background

Piles have been used to provide foundations for a variety of structures since the very beginning
of civilisation. For example the earliest piles discovered in Europe were constructed almost
4000 years ago. The process of pile design up to the 20™ century remained empirical relying
mainly on correlations with the observed resistance during pile installation. As a consequence
the understanding of the fundamental mechanisms governing the capacity of piles remained
poor. This was documented by Terzaghi (1930) who pointed out that neither the term “pile
capacity” was properly defined nor the basic concepts of pile-soil interaction or load transfer
behaviour were well understood. This lack of understanding caused frequent foundation
problems and in a number of cases piles were used in ground conditions that perhaps did not

require piles at all.

The development of the first theories to determine the capacity of piles prior to construction,
using the results of laboratory tests or in situ soil data started in the 1950s. At first, existing
bearing capacity equations for shallow foundations were extended to the deep foundation
problem. Later, procedures using cavity expansion theories were introduced. With the further
development of in situ testing techniques new methods for estimating pile capacities directly
from the results of in situ tests evolved. By the mid 1970s a variety of different methods were
available that had in common the underlying assumption that it is the relative density that
governs the behaviour of piles in sand. Most procedures were empirical or semi-empirical and

relied heavily on the experience of the geotechnical engineer involved.

The onset of the offshore oil production required high capacity piles to pfox}ide adequate
foundations for the oil platforms. It became apparent that the extrapolation of existing pile
capacity equations developed primarily from pile tests on short piles on-shore to the very
different off-shore conditions was inadequate (Williams et al., 1997). Additionally, sands of
different mineralogy such as carbonate sands were encountered leading to even more
uncertainty in using the existing methods that were developed and verified based exclusively on
pile tests in silica sands. Consequently Randolph et al. (1994), identified driven piles 1n sand as
being the “area of greatest uncertainty in foundation design” and also that current design

methods such as APIRP-2A (1993) were “not_consistent with the processes that govern

capacity” .

Recent laboratory investigations into the fundamental mechanics of granular materials carried

out at City University (Coop & Lee, 1993, Jovicic & Coop, 1997) have shown that, as for clay
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soils, the stress-volume state is the key factor controlling the soil behaviour and expected to
equally control the behaviour of engineering structures and in situ tests. The approach has been
used to a limited extend for the interpretation of in situ tests such as the CPT (Been & Jefferies,
1985; Konrad, 1998) and the plate dilatometer (Konrad, 1988) with state being quantified by a

state parameter. However only a few attempts have been made to utilise state in the analysis of
engineering problems. Instead, recent in situ pile research and design methods have only
considered the relative density of the soil which is not a true measure of soil state. The lack of
appreciation of the potential importance of state has meant that many field tests have been
carried out to too shallow depths, so that it is doubtful whether the data are relevant to full scale

piles.

1.2 Objectives

The main objective of the current research was therefore to extend the concept of soil state to
the analysis of driven piles in sand. Sands of different mineralogy and from a variety of
geological origins were used so that a general framework could be established. The importance
of the stress state was investigated by conducting tests on a fully instrumented model pile in a
geotechnical centrifuge measuring the base resistance, the local shaft resistance as well as the
radial stress during pile installation. The centrifuge test data were interpreted with the aid of the
results of laboratory element tests. Currently available pile design methods were cntically
reviewed and the existing data of full scale pile tests will be reinterpreted based on the findings
of this research with the aim of establishing a new unifying framework of analysis for driven

piles based on state which is applicable to all types of sand.

1.3 Outline of Thesis

This thesis is divided into six chapters that cover different aspects related to the capacity of
driven piles in sand. Following this introduction (Chapter 1) the thesis proceeds with Chapter 2
which contains the literature review including literature on the mechanics of granular matenals,
the application of the state parameter concept to interpret in situ tests, as well as currently
available pile design methods. Particular emphasis is given to the techniques that have been

developed to identify critical states in the triaxial apparatus.

Chapter 3 covers the laboratory tests carried out to characterise the soils used. First the two
sands selected for the research are described. This is followed by a discussion of the equipment

used for and results of interface roughness measurements and tests conducted in the direct shear

box to study the pile-soil interface behaviour. Finally, details are given of the modifications to
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the existing tnaxial testing equipment as well as the test procedures adopted. The test results of
the triaxial tests are discussed with particular emphasis on identifying the critical state lines of
the soil in stress-volume space. The critical state lines identified for both sands form the basis

for the normalisation of the centrifuge test data described in Chapter S.

Chapter 4 on centrifuge modelling starts with a brief outline of basic centrifuge testing
techniques and the centrifuge facilities at City University. This is followed by a detailed
description of the development and construction of the new equipment needed for the tests to be
undertaken for the current research which included a new pile driving actuator and strongbox
assembly as well as a fully instrumented model pile. A full account is given of the procedures
developed to calibrate the transducers, prepare the samples and conduct the experiments.

Finally, the testing programme and configuration of each centrifuge test are described in detail.

In Chapter 5 the results of the centrifuge model tests are presented and discussed. First the
procedures are described which were developed to arrive from typical raw data to the final fully
corrected and reduced data set. This is followed by sections on the pile behaviour observed
during installation and the results of the pile load tests. In addition the effects of creep and
particle breakage on pile capacity were investigated and the procedures adopted are described as
well as the test results. The final main part of the chapter examines the effect of state on pile
capacity by normalising the centrifuge test data with respect to the critical state lines for the

sand determined in Chapter 3.

Finally, in Chapter 6 the work undertaken and the results obtained during this project are
summarised, the limitations of the investigations are highlighted and recommendations were
given as to how further work could enhance the findings presented in this thesis. The thesis
closes with some concluding remarks on the implications of the findings of this research for pile

design in the future.
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2. Literature Review

2.1 Introduction

The literature review will focus on the behaviour of sands and the axial capacity of driven piles
in sands. At the beginning the literature on the mechanics of coarse grained soils is reviewed.
Particular attention is given to the published work on the large strain behaviour and the position
and shape of the cnitical state line. The second section covers the literature on theories of pile-
soil interaction that have led to the static pile capacity formulae currently available. The review

includes published material on model tests as well as full scale field tests.

2.2 The Mechanics of Coarse Grained Soils

2.2.1 Introduction

Early work investigating the behaviour of coarse grained soils focused primarily on the strength
properties and the behaviour of siliceous sands at large strains (e.g. Bishop & Green, 1965).
More recently, improvements of the infrastructure in urban areas, which prompted the
construction of deep excavations and tunnels adjacent to or underneath existing buildings,
required a better understanding of the behaviour of coarse grained soils at small strains (e.g.
Scholey et al., 1995). With the onset of the off-shore oil production an increasing demand for a
better understanding of the soil behaviour of carbonate sands evolved (e.g. Golightly & Hyde,
1988). In the Pacific regions of Southern China, Korea and Japan decomposed granite soils are

frequently encountered during construction and problems associated with these soils prompted
further research (e.g. Nishida, 1990).

Most work has focused on the behaviour of only one particular type of material, typically silica
sand. Very few attempts have been made towards establishing a general framework for a greater
variety of granular materials considering features such as stress-strain behaviour, stiffness,
particle rearrangement and particle crushing. Gudehus (1996) proposed a hypoplasticity model
for granular materials such as silica sand, flour, sugar and wheat on the assumption that the
particles do not crush during shearing, while Coop & Lee (1993) and Jovicic & Coop (1997)
showed that, as for clays, the behaviour of sands of different mineralogies can be described
within the framework of critical state soil mechanics despite the particle crushing that dominates

their behaviour.
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McDowell & Bolton (1998) proposed a framework for crushable aggregates based on
micromechanical considerations. They showed that the tensile strength of the soil grains
satisfies the Weibull statistics originally developed to characterise brittle ceramics. They
concluded that it is the tensile strength of the smallest particle that determines the current yield

stress of the aggregate.

As a starting point of the literature review the work of Coop & Lee (1993) will briefly be

reviewed. Their observations will then be compared with the work of other researchers.

2.2.2 Introduction to Critical State Soil Mechanics

Soil behaviour will be examined in the following chapters within the framework of critical state
soil mechanics as defined by Schofield & Wroth (1968). As this framework has been widely
used in the past and is sufficiently documented in the literature only the most fundamental

aspects of the framework will be defined here. The definition of the basic parameters in stress-
volume space is illustrated in Figure 2-1. The normal compression line (NCL) is the boundary
for all possible states and is reached under an isotropic stress condition. The critical state line
(CLS) is reached after shearing the soil to large strains (see Section 2.2.6). Both lines are unique

reference states for any reconstituted and non-cemented soil.

2.2.3 General Stress-Strain Behaviour of Coarse Grained Soils

The programme of research carried out at City University between 1990 and 1997 focused on
three sands of different geological origins, which were tested in the triaxial apparatus over a
wide range of pressures, with the aim to establish a general framework of their mechanical
behaviour. The soils tested were a carbonate sand from Dogs Bay on the west coast of Ireland,
Ham River sand which is a silica sand, and a decomposed granite from Korea. Full details of the

soils are given in Coop & Lee (1993).

A number of common features were observed while testing these soils. The behaviour was
found to be essentially plastic for initial isotropic loading and shearing while the soil response
was much stiffer in unload-reload than during first loading. Both the current density and current

stress state were identified as the controlling influences on the behaviour. Finally, particle

breakage was shown to be a function of mineralogy.

The macroscopic behaviour observed for these coarse grained soils exhibits many features In

common with the behaviour of fine grained soils. However, in spite of their similar macroscopic
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behaviour the microscopic mechanisms that govern the stress-strain response of coarse and fine
grained soils are quite different. It is generally accepted that main mechanism of plastic
deformation for fine grained soils is particle rearrangement, while for coarse grained soils 1n
addition to particle rearrangement the mechanism of particle breakage is of fundamental

importance.

2.2.4 Particle Breakage

Hardin (1985) suggested to quantify the amount of particle breakage by the term relative
breakage, B,, which 1s a measurement of the change in the location of the gradings curve, the
definition of which is illustrated in Figure 2-2. He observed that the amount of particle breakage
in a coarse grained soil is a function of the initial particle size distribution, particle shape,

particle hardness, soil confinement, state of stress and the presence or absence of water.

At the macroscopic scale the soil behaviour is govemned by the average effective stresses
transferred through the soil skeleton, whereas on the microscopic scale it is the number of
particle contacts of each individual particle that determines the magnitude of the contact stresses
that govern breakage. The number of particle contacts depends in turn on the particle size and
the particle size distribution. The size of particles and the presence of fines in the soil matrix
also effects the initial density and therefore the extent of particle breakage. Both the NCL and
CSL are only unique for one particular initial grading. Therefore, if a sample is taken out of the
apparatus following a test in which there has been significant breakage, reconstituted to the

same initial density and reloaded, the position of the NCL and CSL will change (Coop &
Atkinson, 1992).

Coop & Lee (1993), showed that the onset of particle breakage at a given stress level is a
function of the strength of the particles or, in other words, their mineralogy. This is illustrated in
Figure 2-3, where the relatively hard quartz particles of Ham River sand start to show signs of

breakage at a stress level of about 1 MPa, whereas for the biogenetic Dogs Bay sand only about

100 kPa is required.

The presence or absence of water may also effect the extent of particle breakage.
Coop & Lee (1994) found that the positions of the state boundary surfaces of dry Dogs Bay
sand and dry decomposed granite were different from their positions in saturated conditions,
while the friction angle remained unchanged. They attributed this effect to an increase In
particle strength due to intra-particle suction in the dry condition resulting in a decrease of

particle breakage and therefore a reduction in volumetric compression during either isotropic

loading or shearing.
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The phenomenon of particle breakage and its effect on the compressibility of crushable
aggregates was studied by McDowell & Bolton (1998). They proposed a micromechanical
framework based on the tensile strength of the particles and found that the successive fracturing
of the smallest particles under increasing macroscopic stress defines the current yield stress of

the aggregate.

The effect of particle breakage on the validity of conventional soil models has been addressed
by Hettler & Vardoulakis (1984). They pointed out that a rigid-granular model is not valid for
the analysis of problems involving pressures beyond the limiting intergranular pressure, where
grain crushing rather than particle re-arrangement becomes the dominant mechanism. The soil
models developed subsequently by Chandler (1985) and Baharom & Stallebrass (1998)
distinguish between these two mechanisms and are able to capture the main features of soil

behaviour observed experimentally, for example by Coop & Lee (1993).

2.2.5 Behaviour in Isotropic and One-dimensional Compression

Isotropic compression data for the three soils are given in Figure 2-4. The samples were created
with a variety of different initial densities. Regardless of the initial density all samples
converged towards a unique line, the normal compression line (NCL). The normal compression

line may be characterised by :

v=N-Anp’ 2.1)

where v is the specific volume, A the gradient of the NCL, p’ the mean normal stress and N the
specific volume on the NCL at a p” of 1 kPa. Similar normal compression lines at high pressures
for different silica sands have been reported by Miura & Yamanouchi (1975) for Toyoura sand
and by Atkinson & Bransby (1978) for Chatahochee River sand, based on data presented by
Vesic & Clough (1968). The pressure required to reach the NCL depends on the mineralogy of
the sand and its initial density, ranging from approximately 800 kPa for Dogs Bay sand to
10 MPa for Ham River sand. Dense samples require higher pressures than loose samples to
reach the NCL, resulting from the greater number of particle contacts and thus lower contact
stresses. Large volume changes are associated with increasing pressures as soon as the NCL 1S
reached. Coop & Lee (1993) attributed this phenomenon to particle breakage. They found that
the gradual onset of this particle breakage results in a poorly defined yield of the compression
curve during first loading. The unload-reload behaviour was found to be very stiff and
essentially elastic, emphasising the almost purely plastic behaviour of the soil during first

loading.
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Further tests in one-dimensional compression showed the X, compression lines for Dogs Bay
sand and Ham River sand to be parallel to the NCL in v:Inp” space. The values for X, of 0.5
observed for Dogs Bay sand and 0.57 for Ham River sand did not vary significantly with stress

level and were greater than those which would be obtained from the relationship proposed by

Jaky (1944):
(.2 . ) 1=sin ¢'J
K, “(H 3sm¢)(1+sin¢' 22

where ¢’is the friction angle of the soil.

The question of the appropriate K, value for sands is important to the present research as the
interpretation of the centrifuge model tests requires knowledge of the mean effective stress in
the model. One fundamental question to ask is which friction angle is appropriate for
Equation 2.2. Muir-Wood (1994) argued that due to the dependency of K, on ihe In situ
structure of a sand the peak angle of shearing resistance as measured in a triaxial test should be

used. In contrast Bolton (1991) proposed the following modified empirical relationship for the
K, of sands:

K =1-sing’ ,=1-sin(¢'-115") (2.3)

mob

The reduction of the friction angle in this equation increases the calculated values of X,. For
example, for Dogs Bay sand the value of X, from Equation 2.3 is 0.52, which is much closer to

the measured value of 0.5 than the value 0f 0.31 predicted by Equation 2.2.

Thé value of X, is known to reduce during unloading, the rate of reduction increasing with
decreasing stress level (Schmidt,1966). One method used frequently for predicting the stress

path in K, unloading in clays was proposed by Mayne & Kulhawy (1982):

K, =K, OCR*"* (2.4)

where K., 1is the K, in first loading and OCR the overconsolidation ratio. It is clear that
depending on the method used to calculate the value of K, in first loading a variety of stress

paths could be predicted.
Because of the uncertainty associated with the methods to predict X, values it was decided to

measure K, for the relevant stress paths for each soil using a computer controlled triaxial

apparatus. The results of this study will be presented in Chapter 3.
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2.2.6 Behaviour During Shearing and Critical State of Coarse Grained Soils

The stress-strain behaviour of sands during shearing is highly non-linear (e.g. Bishop & Green,
1965). The volumetric strains can be either contractive or dilative and are controlled by the
initial state of the soil and the level of confining stress during shearing. Dense samples tend to
dilate when sheared in a drained test, causing a decrease in pore pressure in an undrained test.
Loose soils at high stresses contract when sheared in a drained test and consequently the pore

pressures increases if the test 1s undrained.

Provided that shearing is continued to large enough strains the stress ratio as well as the
volumetric strain tend towards a constant value. This state known as the “critical” state, was
defined by Roscoe et al. (1958) as: “a condition at which the soil continues to deform at
constant stress and constant void ratio”. The critical state is independent of the initial density,
structure, fabric and stress path. This makes it an ideal reference state to interpret soil behaviour.

Critical states have thus been identified by a number of researchers for a variety of sands (e.g
Bouvard & Stutz, 1986; Coop & Lee, 1993 and Chu & Lo, 1993).

Coop & Lee (1993) identified critical states for all their three sands as shown in Figure 2-4
mainly by shearing the samples under high confining pressures from initial states above the
critical state line. They found the critical state line (CSL) to be approximately linear and parallel

to the NCL in stress-volume space. The position of the critical state line is given by:
v=1 - Alnp’ (2.5)

where I'is the specific volume on the CSL at a mean normal stress p* of 1.0 kPa. The definition
of these parameters is illustrated in Figure 2-1. As for isotropic loading, the shearing behaviour
and the position of the critical state line was found to be governed by particle breakage. The
critical state lines in q": p° space were also found to be independent of the stress level being
approximately straight with a constant gradient, M. One interesting feature, apparent from

Figure 2-4, is the effect of the initial grading curve on the position of the NCL and CSL. The

well graded decomposed granite shows much smaller values of N, I" and A compared to Dogs

Bay and Ham River sands which are poorly graded.

Poulos (1981) defined the term “steady state” of deformation for any mass of particles as: “the
state in which the mass is continuously deforming at constant volume, constant shear stress and
constant velocity”. The term steady state is generally used in conjunction with undrained triaxial
tests (e.g. Ishihara, 1993). However, it has been shown (e.g. by Been et al., 1991 and Verdugo
& Ishihara, 1996) that the steady state and the critical state are in fact the same and in order to

avoid confusion over terminology the term “steady state” should therefore be abandoned.
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Ishihara et al. (1975), introduced the concept of a state of phase transformation sometimes also
referred to as a quasi-steady state (Been et al., 1991) in which a state of minimum or constant
shear stress 1s encountered at an intermediate strain in an undrained triaxial test. After passing
the quasi-steady state the shear stress starts to increase until reaching an ultimate value. The data
presented by Verdugo & Ishthara (1996) show that such a quasi-steady state (QSS) only occurs
for loose and medium dense specimens at intermediate confining stresses. Furthermore, Coop
(1999b) pointed out that the QSS may not occur in sands that are naturally overconcolidated, of

different mineralogy to quartz, under drained loading, or for tests conducted at very high
pressures. Been et al. (1991) considered the QSS to be the result of developing shear bands. It

must therefore be concluded that the concept of QSS is unsuitable as a general reference state

for coarse grained solls.

Knowledge of the position and shape of any reference state line is fundamentally important
when applying normalisation techniques. Based on experimental observations, researchers have
proposed critical state lines of different shapes and positions for a variety of granular materials.
Lee & Seed (1967), Bouvard & Stutz (1986), Chu & Lo (1993) as well as Verdugo & Isihihara
(1996) proposed critical state lines that were curved in the v:Inp” plane for a variety of silica
sands. Based on tests on Erksak sand, Been et al. (1991) suggested that the curved CSL could be
approximated by using a bi-linear function as shown in Figure 2-5. They argued that the change
in gradient at higher stresses 1s due to the onset of particle breakage. The tests conducted on
silica sand by Coop & Lee (1993) identify the critical state only at high pressures which
following the argument of Been et al. should give the steeper gradient. As can be seen from
Figure 2-4 and Figure 2-3 the onset of particle breakage is clearly a function of the mineralogy
and for weak grains the assumption of a linear critical state line may hold to pressures as low as

100 kPa. A summary of critical state lines of a variety of carbonate and silica sands was given

by Coop (1999b) and is shown in Figure 2-6.

Experimentally observed critical state lines have been incorporated in a variety of soil models.
For example, the Nor-Sand model developed by Jefiries (1993) assumes a straight critical state
line, whereas the hypoplastic model (Gudehus, 1996; Herle, 1997) assumes an exponential

function in the form of:

e & _€& | .3_2_)
€eo e, e epr: ( h, :l (20

where ¢; is the void ratio along the NCL, e, the void ratio at critical state, e4 the limiting void

ratio representing the densest possible state, e, €, and ey, are the initial void ratios at zero
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mean normal stress, p’s the mean normal (granular) pressure, A, the granular hardness and
finally n the exponent. A graphical representation of this formulation is given in Figure 2-7. The
procedure to determine these parameters for pressures below the onset of significant particle
breakage has been descnbed by Herle (1997). Cudmani (2000) has extended the pressure range
of the parameters to 2 MPa.

For this study the cnitical state line will be determined experimentally by means of triaxial tests
and will then be used to normalise the data obtained from the centrifuge tests. Therefore, the

different techniques adopted by researchers to measure critical states in the triaxial apparatus

will be reviewed in detail in Section 2.3.

2.2.7 The Concept of State for Coarse Grained Soil

The geological history of deposition, loading and unloading of a soil determines its current state
in terms of in situ stress and density. Historically, the state of a coarse grained material is

defined by its relative density, D, , or density index, I :

D,=1p=—""— (2.7)

where e is the current void ratio and e.,. and e.. the maximum and minimum void ratios
determined from standard laboratory tests. However, this definition is not sufficient to define
the stress-strain response where elements of soil can exist at the same current specific volume
but on different sides of the critical state line as illustrated in Figure 2-8. Shearing the sample in
the lower stress region (A) in a drained triaxial test will result in a dilative response, whereas the
sample in the higher stress region (B) will contract. This difference in behaviour must be
captured in any proper definition of the current state of the soil and therefore such a definition
must include both the stress level as well as the volume relative to a well defined reference state,

for example the critical state.

Based on experimental investigations on Kogyuk sand, Been & Jefferies (1985) defined a state
parameter, w4 in terms of the void ratio (Figure 2-9) by comparing the current void ratio, e to

that at the steady state, e, (as defined by Poulos, 1981):

Wa=6€s —€ (2'8)

They suggest that the state parameter is independent of mineralogy as their correlation between

state parameter and large strain properties, such as the drained peak friction angle worked for

33



sands of different mineralogy. On the other hand, owing to the effects of initial fabric on the
small strain properties, they expected the correlations with the volumetric compressibility and

shear modulus to work less well.

A different definition of the current state in terms of stress and volume was introduced by
Jovicic & Coop (1997), who used a normalisation with respect to the NCL based on a stress
ratio at the current volume rather than defining it in terms of a volume at the current pressure, as
used by Been & Jefferies. The definition of the normalising parameters, p,’ and p,* are shown in
Figure 2-1. When investigating the influence of isotropic confining pressure on stiffness, as
shown in Figure 2-10, the normalisation gave two unique lines for each sand, one for
overconsolidated samples and one for those undergoing first loading only. In Figure 2-10 G, is
the elastic shear modulus of the soil and the normalising parameter for the stiffness, G., is the

value of G, on the NCL at the current p".

2.2.8 Applications of the State Parameter Approach to Geotechnical Problems

Been et al. (1986 and 1987) applied the concept of state parameter to interpret results of cone
penetration tests (CPT) obtained in calibration chambers on samples of Monterey-No.0 and
Hokksund sands which are both quartz sands. The steady state line was established by means of
undrained triaxial tests. They normalised the cone resistance, g. by subtracting the mean total
stress, p and dividing by the current p’. Plotting this normalised cone resistance, against the
state parameter resulted in a well defined correlation as shown in Figure 2.11. The effect of
initial fabric seemed to be of only minor importance in this problem, as the penetration of the

cone is associated with large strains in a localised zone around the probe.

Konrad (1988), following the work by Been & Jefferies (1985), applied the state parameter
concept to interpret results of dilatometer tests (DMT) in Ottawa sand, another quartz sand.
Instead of using the void ratio at a reference pressure, e,, he defined the state parameter, ¥,
directly in terms of the current void ratio, e, and the void ratio at steady state at the current p’,

€.
v=e-e, (2.9)

To reduce the scatter in the data presented by Been et al. (1986), Konrad correlated the peak

dilation rate with the state parameter for different sands, introducing a normalised state

parameter, y,, by normalising the state parameter in Equation 2.9 with respect to the difference
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of the density limits e.. and e.. to account for the different grain shapes and grain size

distributions.

v ¥ (2.10)

VN = =
€max —€min Vi

Figure 2-12 shows a unique correlation between the DMT pressure difference, AP, normalised
by the mean normal stress which Konrad called, /,, and the normalised state parameter obtained

from tests on samples of different relative densities. No test data are available for samples on the
contractive side of the CSL but by assuming that for a highly compressible soil of ¥/ equal to
one, the ratio of AP/I, would tend to zero they extrapolated the results from tests in dilative soils

as indicated.

A further investigation into the use state parameter which included the grain crushing stress was
published by Konrad (1998), who followed the approach of Been et al. (1991) by representing
the critical state line as a bi-linear function. However, as the onset of crushing is a progressive
process, this bi-linear shape is clearly an idealisation. Konrad found that the correlation between
the CPT cone resistance and the normalised state parameter is affected by the stress level and is
therefore not unique. He proposed to compare the measured cone resistance at a reference stress
state of 100 kPa with that for a reference soil which he chose to be Ticino sand. The resulting

improvement of the relationship between the normalised cone resistance and the normalised

state parameter is shown in Figure 2-13.

In summary it may be concluded that in using normalisation procedures to characterise the
behaviour of soils it is most important to identify a particular unique reference condition. Both
the critical state line and the isotropic normal compression line are appropriate unique reference

lines and it is the distance of the current stress-volume state from the NCL or CSL which is the
principal factor controlling the shearing behaviour of coarse grained soils at small as well as
large strains. This distance is affected either by changes in stress or changes in volume, and both
must therefore be accounted for. In contrast, an empincal parameter, such as relative density,
which considers only the volume of the soil relative to two fixed, but arbitrary, values cannot

work as an alternative normalising parameter as it does not account for the stress level.
The position and shape of these reference lines is usually obtained by means of soil element

tests, mostly conducted in the triaxial apparatus. The advances in experimental techniques to

measure soil properties at large strains will be discussed in the next section.
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2.3 The Measurement of Critical State Parameters in the Triaxial Apparatus

Roscoe et al. (1958) concluded that the experimental evidence presented to support the
existence of a “critical void ratio line” was less conclusive for tests conducted in the triaxial
apparatus in comparison to the results obtained from the simple shear apparatus. They attributed
this problem to the limitations of the triaxial testing procedure mainly due to the onset of non-
homogeneous deformations and development of shear bands at large strains. Despite these
remarks the triaxial apparatus has repeatedly been used to study the large strain behaviour of
coarse grained soils and to identify critical states. The experimental techniques to measure
stresses and strains have thus evolved substantially over the past forty years. In this section
particular emphasis is given to the techniques developed to identify critical states as the
proposed normalisation procedure for the centrifuge model pile tests uses the critical state line
in stress-volume space as the reference state. Much discussion has centred around the question
of the sample shape and mode of deformation during shearing and its effect on the measured

friction angle and volume change.

It appears that the critical state friction angle can be determined relatively reliably in the triaxial
apparatus. Bishop & Green (1965) showed that the friction angle is not affected by the sample
geometry and the end conditions, as long as a sample with non-lubricated ends has an aspect
ratio of more than 2:1. The difference in end condition and sample geometry seemed only to
affect the overall stress-strain behaviour in the post peak region. The question of which
observed behaviour was the true response of the soil has remained unanswered for some time.
Consequently Lee & Seed (1967) and Seed & Lee ( 1967) used standard 2:1 triaxial specimens
with non-lubricated end platens. The tests were conducted drained or undrained on saturated
samples and the volume changes were measured with a volume gauge. The primary reason for
this approach was the simplicity of the procedure in comparison with using dry soil and an inner
cylinder as proposed by Bishop & Henkel (1962). The critical state line identified by Lee &
Seed for drained tests on Sacramento river sand 1s shown in Figure 2-14. The undrained tests by

Seed & Lee gave much the same critical state line, a fact that was not fully recognised by

Poulos (1981).

Based on standard undrained triaxial tests, Been et al. (1991) suggested that the CSL of Erksak
sand shown in Figure 2-5 could be approximated as bi-linear. However, Chu & Lo (1993) have
argued that due to developing shear bands associated with local drainage, undrained triaxial
tests as used by Been et al. (1991) may not be able to bring a dense specimen to a critical state

and therefore questioned their results.
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The main problem associated with the use of 2:1 samples and non-lubricated end platens 1s that
shear planes are more likely to develop around the peak especially in dense samples and hence
the volumetric strains are concentrated in a very small region of the sample. In addition,
barrelling leads to a significant error when a volume gauge is used to measure the average strain
under the assumption that the sample deforms as a right cylinder. Rowe & Barden (1964) were
among the first to address this problem and introduced lubricated ends for their tests on samples
of Mersey River sand. They found that the samples with a H/D of 1:1 and lubricated ends
developed multiple shear bands and deformed much more uniformly exhibiting a reduced
degree of strain softening and a more uniform dilation leading to an increase in the dilative
volumetric strain as the samples approached the critical state at about 30 % axial strain. In
contrast the samples with non-lubricated ends and an H/D of 2:1 failed with rapid strain
softening at 9.5 %, along a single shear band that developed following pronounced barrelling

during the earlier stages of the test.

The effect of non-homogeneous deformations leading to strain softening can be observed from
Figure 2-15 which shows test data by Chu & Lo (1993), on samples of Sydney sand. Sample #4,
with well lubricated ends shows no strain softening at all up to 15% axial strain, whereas the
samples #2 and #3 with poorly lubricated ends and sample #1 with non-lubricated ends show
significant strain softening. The corresponding volume change of test #4 which was a dense
sample was linear with no tendency towards a critical state. Similar difficulties were
encountered for drained tests on loose specimens for which a critical state was not reached at
shear strains in excess of 20 % as the deviatoric stress was still rising. The tests then had to be
terminated as the samples developed non-homogenous deformations. Chu & Lo concluded that,
at low pressures drained triaxial tests were unsuitable to reach a critical state within the

homogeneous strain regime on either contracting or dilating samples.

Similar difficulties in reaching a critical state were encountered by Lade & Yamamuro (1996)
during their high pressure triaxial compression tests on Cambria sand. Volume changes
continued to occur at very large shear strains in excess of 40 % for the drained tests whereas in
the undrained tests the pore pressures stabilised but the deviator stress kept on decreasing. They

attributed this to particle breakage which they believed continued to occur throughout shearing.

Following the work of Rowe & Barden (1964), other researchers have adopted lubricated ends
for large strain testing at low pressures. Verdugo & Ishihara (1996) identified a curve shaped
critical state line for Toyoura sand using this technique in combination with a 2:1 sample
geometry and global measurement of volumetric strains. As shown in Figure 2-16 they obtained
a very good agreement between drained and undrained tests, as well as dense and loose samples

suggesting that the effect of localisation on the overall volumetric strain is small. Unfortunately
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no information was provided regarding the sample shape at the end of the tests nor the visibility
of shear bands. The data obtained by Verdugo & Ishihara must be treated with caution, as
following the arguments by Chu & Lo (1993), their experimental techniques were not suitable

to identify correctly critical states.

As a result of the problems associated with the measurement of critical states from conventional
drained and undrained tniaxial tests, Chu & Lo (1993) developed a testing technique using strain
path rather stress path control. For a dense sample of Sydney sand they started with
conventional drained shearing and then imposed a constant volume condition in the post failure
region. A critical state could then be achieved within the region of homogeneous deformation.
Their critical state line shown in Figure 2-17 is clearly non-linear with a linear p’ axis but even
re-plotting the data using a logarithmic scale still results in a non-linear relationship with the
onset of a steeper gradient at about 1500 kPa. However, their method did not allow the local
measurement of radial or axial deformation and hence did not proof the homogeneity or

otherwise of the deformations.

The effect of non-homogeneous deformations of the specimen in the radial direction on the
calculated volumetric strain was demonstrated by Kolymbas & Wu (1990). They conducted a
series of drained triaxial tests on dry specimens of loose and dense Karlsruhe sand using end
lubrication, an H/D of 1:1 and three radial strain belts mounted along the sample. In a number of
tests the sample expanded more at the base than at the top. The resulting difference in
volumetric strain is illustrated in Figure 2-18. This effectively shows that unless the sample
retains a rectangular shape throughout the test no unique answer can be obtained for the volume
change associated with a particular confining stress. Also evident is the sensitivity of the
volumetric strain to changes in radial strain. Another interesting observation is that regardless of
the confining pressure, up to an axial strain of 12% hardly any strain softening occurred in the

dense samples, an observation also made by Chu & Lo (1993).

A rather different method to measure the volumetric strain was employed by Bouvard &
Stutz (1986). They used gamma ray attenuation to obtain density profiles over the height of the
sample. Typical distributions are shown in Figure 2-19a for two 1:1 samples with different end
conditions. It is apparent that the density profile for the 1:1 sample with lubricated ends is more
uniform then for the same geometry with non-lubricated ends. For samples with non-lubricated
ends the radial expansion is clearly concentrated in the centre and no global volume variations
as measured in a conventional triaxial apparatus cannot provide correct results. Figure 2-19b
shows a comparison of the changes in diameter with axial strain for loose samples, with
different geometries and end conditions. It is evident that the samples with non-lubricated ends

barrel significantly more. Perhaps the most significant observation is that the 2:1 sample with
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lubnicated ends barrels at an axial strain of about 13%, while the 1:1 sample with the same end
condition does not. The authors assumed that the 1:1 sample with lubricated ends gave the
“true’ radial strain and used this sample geometry to determine the CSL of Hostun sand which
1s shown in Figure 2-20. However, one could argue that the fact that the 1:1 does not barrel is a
sign of restraint at the ends and the radial strain measured is therefore too small. One
disadvantage of the gamma ray attenuation may be seen in the fact that the density is assumed to
be constant across the plane of measurement. This assumption ignores the existence of shear

bands in the sample, which is not compatible with experimental observations for example by
Rowe & Barden (1964).

It appears that no suitable method has therefore yet been developed that allows the assessment
of the onset of non-homogeneous deformation in triaxial tests and to measure accurately the
void ratio at the critical state. Bouvard & Stutz as well as Chu & Lo (1993) have argued that
global volumetric strain measurements as used for example by Verdugo & Ishihara (1996)
become meaningless as soon as the sample starts to barrel or shear bands start to form. These
problems also rule out the use of undrained triaxial tests. The argument that short samples with
lubricated ends deform in a more uniform way than 2:1 samples also with lubricated ends has
yet to be proven. It has been shown in the discussion so far that the advantage. of a 1:1 sample
geometry lies in its ability to suppress single shear bands as they would need to go through the
end platens. However, this poses the question whether the remaining restraint at the lubricated
ends, although small, restricts the radial expansion of the sample in the centre. It could be
argued that the fact that short samples do not barrel is an indication of restraint. Or to put it in
another way, if there were no restraint at the free ends, the radial strain measured in the centre of

a short sample should be the same as in the centre of a 2:1 sample.

The first point regarding the homogeneity of deformation of loose and dense short samples was
addressed by Desrues et al. (1996). They introduced the novel technique of computer
tomography to obtain images of the samples at various sections and stages during tests on dry
Hostun sand. Two images taken of a dense specimen are shown in Figure 2-21a. Whereas the
2:1 sample with non-lubricated ends shows only one well defined shear band that developed at
about 7 % axial strain, the pattern of localisation in the 1:1 sample with lubricted ends is much
more complex. However, the onset of locahisation for the latter specimen was substantially
delayed and occurred at around 16%. The multiple shear zones observed are consistent with
observations by Rowe & Barden (1964). After the shear bands in the 1:1 sample had developed
the globally measured volumetric strain reached a plateau that might have been interpreted as
the critical state, By comparing the void ratio in the shear band with the global measurement
Desrues et al. (1996) showed that the local volumetric strain kept increasing and a critical void

ratio was achieved at the end of the test that was very similar to that measured on loose samples
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(Figure 2-21b). It must therefore be assumed that, although not clearly visible from the outside,
shear bands also develop in 1:1 samples with lubricated ends and the globally measured

volumetric strain is therefore not necessarily the true strain at a particular applied stress.

Another method developed recently (Kuo & Frost, 1996) uses a microscope coupled with a
digital image processing system. Originally the method was used to study the distribution of
local void ratio for different sample preparation methods. Frost & Jang (2000) went further and
applied the method to study the evolution of sand microstructure by means of the local void
ratio during shearing. The sample has to be impregnated with epoxy resin prior cutting it into
sections to measure the local void ratio. This means that only one value can be obtained per
sample at a given strain level and hence Frost & Jang had to use seven samples prepared at
identical initial void ratios. The method thus relies heavily on the repeatability of the tests in
order to have comparable microscopic deformations. As bifurcation can be triggered by any
random local inhomogeneity the chances that the profiles obtained are consistent.are clearly
limited. Although the method provides a unique insight into microscopic deformations, as
illustrated in Figure 2-22, it 1s complex and obtaining a continuous critical state line in the

v:Inp’ plane would be very time consuming.

Macari et al. (1997) used a digital imaging technique to measure the volume changes of a
specimen externally by placing two digital cameras at 90° to each other on the outside of the
triaxial apparatus. This allowed the volume changes to be calculated across two planes which
could be extended to three dimensions by assuming a symmetrical shape. Figure 2-23 shows a
comparison between the expenimentally determined global volumetric strain and the volumetric
strains obtained by the image analysis technique. There is generally a good correlation until
about 40 minutes. Macari et al. argued that the observed deviation at large strains may be
attributed either to non-symmetrical deformations not accounted for in the image analysis or to

the formation of shear bands. One positive aspect of the method by Macari et al. is that the

volume changes in different sections of the sample can be measured, thus providing a detailed

picture of the sample deformation. However, it does not allow measurements inside the sample,

hence volumetric strains after localisation cannot be obtained.

Using local instrumentation in both the axial and radial direction provides an alternative way of
monitoring the sample deformation and possibly to detect shear planes. By comparison with
microscopic strain measurements, Frost & Jang (2000) showed that if the gauges are placed at
the centre of a specimen over about one-third of its height they can provide reasonable estimates
of the true response of the specimen. As the technology of local transducers was already
available at the start of the testing programme this approach was adopted for this study. The

radial strain was measured locally at the mid-height of the specimen to avoid problems with end
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restraint. At the beginning 1:1 samples with lubricated ends were used for the Leighton Buzzard
sand. Later on, mainly for the tests on Dogs Bay sand, the sample geometry was changed to 2:1.
Details of the experimental techniques developed, as well as the test results and critical state

lines identified, are presented and discussed in Chapter 3.

In summary, despite over 40 years of research into the large strain behaviour of coarse grained
soils, identifying critical states in a triaxial apparatus in terms of stress and volume is a very
difficult task. Accurate volumetric strain measurements at low pressures are hampered by the
adverse effects associated with barrelling and shear bands. These issues become less significant
at higher pressures as shown by Coop & Lee (1993). The location of the critical state line
determined is very much affected by the technique employed to measure the volumetric strains.
For example, Been et al. (1986) and Konrad (1988) used undrained triaxial tests, a technique
which according to Chu & Lo (1993) 1s not suitable to reach critical states. The analysis of CPT

and DMT based on a state parameter derived from these critical state lines is therefore equally

questionable.

Desrues et al. (1996) used computer tomography to measure the void ratio at critical state.
Although this method provides test data of outstanding detail and quality, it is very complex and
hardly available for routine testing. One of the aims of this research is to develop a method for
pile design based on soil parameters that can be obtained routinely, for example, in a
commercial laboratory. Therefore, local axial and radial gauges in conjunction with lubricated
end platens will be used for the present study. The interpretation of the results will require great

care as shear planes can be expected to develop beyond 10% axial strain.

Given the uncertainty of the shape of the critical state line at low pressures and high specific
volumes it appears that there is considerable merit in using a normalisation based on a stress
ratio as proposed by Coop & Jovicic (1997) over the method proposed by Been & Jefferies
(1985) and Konrad (1998) which uses a difference of specific volumes. This is further
reinforced by the fact that most coarse grained soils in the ground (e.g. Coop, 1999b) have
specific volumes for which a reference pressure such as p°, (Figure 2-1) would be within the

linear range of the experimentally determined reference lines.

2.4 The Capacity of Driven Piles in Sand

2.4.1 Introduction

The literature review of driven piles in sand will cover the different aspects of pile capacity

analysis. Firstly the term pile capacity will be defined and then the methods currently available
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for estimating the base and shaft capacity of driven piles in sand will be reviewed. Some
remarks on factors affecting pile capacity are included in a separate section. Finally, the
literature on pile load tests will be reviewed to apply the state parameter concept as defined in

the previous chapter to suitable pile test data.

Due to the very complex nature of this problem, documented in a very large number of
publications, a selection i1s necessary, focusing on static pile capacity equations and on the
calculation of the ultimate capacity of closed-ended driven piles in sand. Topics such as
determining pile capacities from dynamic pile formulae, open-ended and grouted driven piles

are excluded.

Throughout the literature review the term “pile” is used exclusively for a closed-ended driven

pile. The term “pile capacity” refers to the ultimate capacity of an, axially loaded single pile.

2.4.2 The Axial Capacity of Dniven Piles

The axial capacity of a driven pile is given by Equation 2.11 given the assumption that the pile
carries the applied load partly by shear resistance generated along the pile shaft, and partly by
normal stress generated at the base of the pile as shown in Figure 2-24. The ultimate capacity,

0., of the pile under axial load 1s then equal to the sum of the base capacity O, and the shaft
capacity O, :

0, =0p + 05 = Apqp + 4 [q(2)dz (2.11)
0

where 4, is the area of the pile base, g, the umt base resistance, 4; the area of the pile shaft, g,

is the local unit shaft resistance along the pile and z the embedded length of the pile.

The definition of the ultimate pile capacity has been widely discussed in the past. For example
Vesic (1977) has listed no less than nine different criteria to determine the ultimate capacity.
The definition is of particular importance for predictions of the pile capacity and the
interpretation of pile load tests. Perhaps the most generally accepted one is to define the ultimate
capacity as the force corresponding to a pile head settlement equal to 10 % of the pile diameter,

for driven piles, unless the load-settlement curve shows a distinct maximum load.

The magnitude of the base resistance as well as the magnitude and distribution of the shaft
friction depends on a variety of factors, some of which are interrelated. To quantify these

parameters and incorporate them into a comprehensive pile design method has been the focus of
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much research on piles over the last fifty years. The aim of the following paragraphs is to
review these methods, outlining their underlying assumptions and illustrating the shortcomings

of the predictions made.

2.4.3 Predicting the Base Capacity of Driven Piles in Sand

There are generally three different methods currently being used to predict the base capacity of
driven piles in sand: bearing capacity theory, cavity expansion theory and empirical correlations

with in situ tests. These methods will be reviewed in the following paragraphs.

(a) Bearing Capacity Theory
By extending the bearing capacity equations for shallow foundations to deep foundations,
researchers in the 1960s, (e.g Meyerhof, 1951, 1976) proposed that the base resistance of a pile

is proportional to the vertical effective stress in the ground:

qb =Nqa;ao (2.12)

where N, is the bearing capacity factor and o’,, is the initial in situ vertical effective stress at
the pile tip prior to pile installation. Traditionally, the &, is related to the peak angle of friction,
?'max Which was thought to depend solely on the density of the sand. As shown in Figure 2-25
the values of N, proposed in the literature vary considerably which is due to different underlying

assumptions regarding the governing failure mechanism.

These apparent difficulties led to modifications of the bearing capacity factors that were

adopted, for example by the American Petroleum Institute (API-RP2A 1984, 1991 and 1993),
for the construction of fixed off-shore platforms. As shown by Bond et al. (1997) the bearing

capacity factors used by API gradually evolved as a function of available pile test data and are
currently grouped according to soil type and relative density, ranging from 8 for a very loose
sand to SO for a very dense sand. The resulting profile is illustrated in Figure 2-26. There is,
however, no account taken of different stress levels in the soil along the pile. Hence the
maximum value of the unit end bearing is limited to 1.9 MPa for loose sands and 12 MPa for

dense sands. This is equal to an overburden pressure of 240 kPa, or in other words to

approximately 20-25 m pile depth in a saturated soil. These limits are arbitrary and have been
subject to much criticism and discussion as their existence cannot be explained by physical

phenomena.

Commonly, the introduction of limiting values is attributed to Vesic (1967) but was actually

proposed earlier by Kerisel (1964) based on tests on instrumented model piles installed at 1g.
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However, as Kulhawy (1984) points out, Vesic (1967) adopted the concept only as a
preliminary working hypothesis and in his final report (Vesic, 1977) he did not mention it.
Instead he proposed a more rational approach based on the results of a study using the theory of
cylindrical cavity expansion. Nevertheless the concept of applying limiting values for end
bearing capacity has survived in pile design practice today as documented in the API guidelines

(1993) or Tomlinson (1995), perhaps mainly on the grounds of obtaining a conservative design.

Coyle & Castello (1981) analysed a senes of pile load tests and showed that the approach of
relating N, to the friction angle (Figure 2-25) does not provide reliable predictions, and this is
the reason why in some countnes (e.g. Germany) the use of static pile capacity formulae is not
permitted. Coyle & Castello proposed a new correlation relating the unit base resistance to the
relative depth of the pile tip and the friction angle. In the ensuing discussion Zeitlen &
Paikowsky (1981) showed that owing to the stress dependency of the friction angle the values
of base capacity would increase at a slower rate with increasing depth and no limiting values

were therefore required.

The problem associated with the dependency of the friction angle on the stress level and its
effect on the bearing capacity of deep foundations has been investigated further by Bolton
(1986). He proposed that because of the decreasing peak friction angle of a sand with increasing
mean effective stress the beanng capacity factor N, in Equation 2.12 should decrease with
increasing mean normal stress. This idea was first introduced by Randolph (1985) and then
developed further by Fleming et al. (1992). In their approach they relate the peak friction angle
d'max to the critical state friction angle, ¢’ and the corrected relative density of the sand Ix.

The correction of the relative density takes the mean effective stress level, p* into acount and is

given by:

Ipn=1p[54-In(p'p,)] -1 (2.13)

where Ip is the uncorrected density index (equal to the relative density), and p, is atmospheric

pressure. This empirical relationship is only valid for mean effective stresses above 150 kN/m’.
Bolton suggested that for very high stress levels /; should be taken as zero and values of Iz
greater than four should be treated with caution. The appropriate value of ¢’,.. may then be

calculated from:

¢'m = ércs +3I R (2' 1 4)

The end bearing pressure can then be obtained for given values of I, ¢ and o', by an
iterative procedure. Figure 2-27 shows a typical design chart. This procedure has the advantage

that it is an approach that is physically more sound although still empirical and the pressure
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dependency of the peak friction angle is taken into consideration. The resulting reduction in the
rate of increase of the bearing capacity factor with depth seems preferable over the earlier

methods, as no arbitrary limiting values are suggested.

The main problems with using bearing capacity analyses are that the failure mechanisms

assumed do not necessarily coincide with those that occur around the tip of a pile and that the

deformations of the soil are neglected. This means that dependence of the pile base resistance on

the soil stiffness and compressibility observed in laboratory and field tests (Yu & Mitchell,
1998) cannot be predicted.

(b) Cavity Expansion Theory

A fundamentally different approach to calculate the unit base resistance of a deep foundation,
based on the theory of cavity expansion, was proposed by Vesic (1972) following earlier work

by Skempton et al. (1953). He suggested that the controlling factor for the magnitude of g, in
Equation 2.12 should be the mean stress level p° (which he denoted o”,), rather than the vertical

effective stress:

’

p=

I1+2K, |,
r o (2.15)

where K, is the in situ coefficient of lateral earth pressure. He also introduced a new bearing
capacity factor taking into account the rigidity of the load bearing soil strata, using the rigidity
index, J,. The method is based on the representation of the bearing capacity problem for deep

foundations as the expansion of a sphenical cavity in an infinite soil mass. Vesic considered the
soil to be elastic, perfectly plastic, as characterised by the strength parameters ¢’ and ¢'mar »
deformation parameters £’ (Young’s modulus) and v/ (Poisson’s ratio) as well as a volume

change parameter 4, representing the average volumetric strain in the plastic zone surrounding
the cavity. Vesic suggested typical values for I, based on in situ soil characterisation using the

relative density. However, one apparent problem of the method is associated with estimating

values for A.

Randolph et al. (1994), combined the effects of mean effective stress level on peak friction
angle and the rigidity index in a new semi-empirical model of deep bearing failure. Figure 2-28

shows a schematic diagram of the mechanism of cavity expansion. They defined the end bearing

capacity g, as:

g, = Pum (1 +tang’ tancx) (2.16)

where p;; is the limit pressure from cavity expansion theory, ¢’ is the friction angle of the soil

and a the angle of failure wedge as illustrated in Figure 2-28.
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Assuming that the soil immediately beneath the pile tip has been sheared to its ultimate state,
Randolph et al. proposed that the friction angle could be taken as the critical state friction angle,
d’cs and the angle of the failure wedge as (45° + ¢'/2). They suggest calculating the limit
pressure from a closed form expression such as that proposed by Carter et al. (1986). As these
solutions also assume the soil to be elastic, perfectly plastic, with a Mohr-Coulomb failure
criterion and a constant rate of dilation, Randolph et al. proposed a correction for the friction
angle and the angle of dilation taking the pressure level into account by following the approach
by Bolton (1986). The shear modulus is obtained using a correlation with relative density as
suggested by Lo Presti (1987) thus avoiding the problem associated with volume changes.
Figure 2-29 shows a comparison between the bearing capacities calculated using the methods of
Randolph et al. and Fleming et al. (1992) for three different values of relative density. The

agreement is quite remarkable. The greater curvature of the line for the cavity expansion method

can be attributed to a decrease in the rigidity index with depth.

Yasufuku & Hyde (1995) used a cavity expansion type of approach to predict the bearing
capacity of model pile tests in crushable soils. They modified the original cavity expansion
equation of Vesic (1972) to account for increased soil compressibility. Predicted and measured
bearing capacities are shown in Figure 2-30 for Dogs Bay sand at different relative densities.
Using the bearing capacity solution by Terzaghi (1943) developed for quartz sand the bearing
capacity is over-predicted mainly because of the high friction angle of this soil. In comparison,

the cavity expansion approach models the behaviour of the model pile much more accurately.

The disadvantage of both the bearing capacity and the cavity expansion methods is that the soil

is idealised as an homogeneous elastic, perfectly plastic medium and the effect of layering or
changes in soil properties within the soil mass cannot be accounted for. Chow (1996) pointed
out that the parameters required (e.g. shear modulus, G) also vary with strain level, stress rate,
loading history and ageing. It is also possible that failure around the pile tip may not develop
according to the mechanisms assumed leading to additional uncertainty. This issue has been
addressed by Cudmani (1996) while formulating a cavity expansion solution using a hypoplastic
soil model. Finally, the methods assume that the base resistance is related to the relative density,
which is an hypothesis not supported by more recent research for example by Jovicic &
Coop (1997) who showed that the soil behaviour is actually controlled by the current stress-

volume state.

(c) Correlation With In situ Tests
Owing to the uncertainties involved in using the methods described so far, a number of

researchers have proposed the use of in situ tests to determine the unit base resistance. This is a
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purely empincal procedure and experience and engineering judgement are therefore crucial in
the interpretation of the test results for a successful design. The interpretation relies heavily on
information about the expected penetration resistance of the CPT-cone in a comparable

reference material, which is usually obtained in a calibration chamber (e.g. Baldi et al. 1986).

Most conveniently the results from Cone Penetration Tests (CPT) are used for pile design,
because of the similarity between the penetrating cone and a driven pile. However, cone
penetrometers were originally developed for clays and consequently penetration of coarse
grained soils is often difficult. In some reported case histories (e.g. Chow & Jardine, 1997) the
cone did not penetrate further than 6 m. In such cases the design procedure often has to rely on
results from Standard Penetration Tests (SPT), which leads to a significant decrease in the

number of sampling points with depth. Procedures based on SPT data will not be included in

this section.

The unit end bearing resistance, g, of the pile is often taken as being equal to the resistance of

the cone tip, g, :

9y =4, (2.17)

Kraft (1990) proposed a more general approach to compute the bearing capacity from the CPT
cone resistance. In his approach he introduces a correction factor, ¥, in Equation 2.17 for
variability within an “homogeneous™ stratum. The values of Vi are related to the relative
density of the deposit and range from 0.5 for dense to 0.6 for loose sands. He noted that the
probability for larger variations would increase with the size of soil mass under consideration.
Furthermore, he stresses that due to the different shape of the cone and different method and
speed of installation, the cone resistance from the CPT might not equal the pile resistance of a
full scale pile. For example Durgunoglu & Mitchel (1975) found that the resistance of a 60°

CPT-cone was 64 % of the resistance of penetrometer with a flat tip, which is more
representative of a pile. A comparison of typical results obtained by the methods of Kraft with
those of API-RP2A is shown in Figure 2-31.

Another important factor affecting the reliability of in situ pile design procedures is scale
effects. Tejchman & Gwizdala (1979) reported that the unit base resistance of 100 cm long
model piles tested at 1-g depended strongly on the pile diameter as illustrated in Figure 2-32.
This observation is supported by Kraft (1990) who argues that this can be attributed to different
patterns of the failure surfaces, which are influenced by the depth to diameter ratio of the probe
and the soil compressibility. A second scale effect is associated with the zone of influence
around the pile tip and the soil variability within this zone. This issue has been discussed in

detail by Meyerhof (1983). A pile tip, because of its larger diameter compared to the cone,
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“senses” variation in soil conditions over a larger zone. Nordlund (1963) and Fleming &
Thorburn (1983) have suggested the procedure illustrated in Figure 2-33 for averaging the

values of g. over a depth range above and below the tip of the pile to account for this effect.

The latest design method based on the CPT is the “New Design Method for Off-shore Piles”
developed at Impenal College (Jardine & Chow, 1996). It evolved from over ten years of
research including tests on fully instrumented model piles in sand at the test sites of Dunkirk
and Labenne (Lehane et al., 1993) and the analysis of numerous case histories. Although the:
method was developed based on correlations between field measurements and CPT data, the
method has also been applied in cases where no CPT data were available. For example Williams
et al. (1997) have recommended obtaining CPT data from SPT data via correlations with the

relative density, as proposed by Skempton (1986) and Lunne & Christoffersen (1983).

Experimental evidence (e.g. Jardine & Chow, 1996) has shown that for large diameter piles the
ratio of g/g. is less than unity and the ratio tends to fall with pile size. They attributed this
effect partly to the development of local shear bands, which limit the influence of peak strength
and dilation rates and partly to the reduced relative pile to soil settlement at the pile tip,
especially for the very slender piles used off-shore. In the MTD-Method the unit end bearing

resistance is defined as:

9, =q.[1-0.5log(d, / d.;)] (2.18)

where g, is the average cone resistance over an interval 1.5 pile diameters above and below the

pile toe, d, is the pile diameter and dcpr is the cone diameter, which is generally 0.036 m.
Equation 2.18 is purely empincal and tends to zero for a pile diameter of 3.6 m. Therefore,
Jardine & Chow proposed a lower bound of g, equal to 0.13g, for d, >2 m. Compared to the
method proposed by Fleming et al. (1992) the MTD-Method is more conservative as g

decreases rapidly as a function of the pile to cone diameter ratio.

The issue of limiting values for base resistance derived from in situ tests has repeatedly been
discussed in the literature. Fleming et al. (1992) do not mention any limit to the base resistance.
Instead they recommend comparing values from CPT tests with the results from modified
bearing capacity formulae. However, Tomlinson (1995) introduces a concept of limiting values
based the OCR of the soil, following the work of te Kamp (1977). The limiting value for the
unit end bearing resistance for all “cohesionless” soils is taken as 15 MPa, slightly higher than
in API-RP2A.

Generally, the idea of using in situ tests to estimate the base resistance of a pile should be

favoured over the other two methods as long as CPT test data are available. The primary
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argument here is that a penetrating cone replicates closely the stress and strain paths that are
likely to occur during pile installation. The interpretation should, however, be done with an
awareness that the cone resistance is controlled by the in situ stress-volume state (e.g. Been &
Jeffries, 1985) and not by the relative density alone as is assumed by the MTD-Method.
However, there is still considerable uncertainty in predicting the base resistance of a driven pile

from in situ tests which is mainly due to scale effects and soil variability.

2.4.4 Predicting the Shaft Capacity of Driven Piles in Sand

(a) Average Unit Shaft Friction and Critical Depth

Early methods were based on back analyses of field tests using a global average unit shaft
resistance, g.,, by simply dividing the ultimate shaft capacity of a pile by the surface area of the
shaft. This was often due to the difficulty in installing multiple load cells along the p}le in order
to obtain values of local shaft resistance. Therefore only very limited information on the
distribution of local shaft resistance was available and consequently these methods were very

unreliable. The unit shaft resistance is generally expressed as:

g, = Ko’ tanod (2.19)

where K is an earth pressure coefficient relating the normal effective stress acting around the
pile to the initial in situ effective overburden stress o”,, and & is the friction angle between the
pile and soil. For the average unit shaft fnction along the pile shaft the average vertical stress is
required. Although Equation 2.19 looks very simple, there has been much debate over the
magnitudes of K and & and the distribution of the unit shaft friction along the pile for different

pile geometries, pile materials and installation methods.

The interface friction angle, &, between the pile and soil can be measured with reasonable
accuracy in laboratory direct shear tests. First attempts to quantify & assumed it to be five
degrees less than the peak friction angle of the soil @'ma. In the API-RP2A (1993) guidelines
values for tand are given with respect to the density of the soil as quantified by the relative
density. Uesugi & Kishida (1986) and Kishida & Uesugi (1987) have reported a detailed
laboratory study of the effects of the surface roughness of steel on 8. They showed that the
normalised roughness of the surface, R, as defined as the maximum peak to valley distance,
Rnax, divided by the average grain size, Dsg, has a pronounced effect on &. For example, for a

given grading of Toyoura sand & varied between 12° and 30° as a function of R, This

observation was confirmed in a more recent study by Gamier & Koenig (1998), who conducted
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pull out tests on plates in a centrifuge. Their results are illustrated in Figure 2-34,
Fleming et al. (1992) point out that for typical pile surfaces, such as oxidized steel or concrete,
this normalised roughness coefficient will exceed 0.05 and the coefficient of friction at the
interface will therefore lie between 75 % and 100 % of ¢’ for the soil itself. Assuming that there

1s no dilation to be expected between the sand and the pile wall they suggest to use the critical

state fiction angle ¢°.; instead of din Equation 2.19. Jardine et al. (1992) proposed the use of
the constant volume interface friction angle d. instead of the peak value of &, and found it to

decreases with increasing Ds, for a given roughness as shown in Figure 2-35. The diagram is
essentially the same as that of Kishida & Uesugi. It shows that the interface friction angle
reduces significantly with decreasing normalised roughness and this is an important factor to

consider when conducting laboratory based pile research.

Owing to the difficulty in measuring the radial stress directly on the pile, numerous suggestions
have been made regarding the magnitude of K and consequently g, . The API guidelines suggest
a constant K of 0.8 for a partial displacement (i.e. open-ended) pile and 1.0 for a full
displacement (i.e. closed-ended) pile, irrespective of the direction of loading (tension or
compression). Limiting values to g, are applied ranging from 50 kPa for very loose to 115 kPa
for very dense sands. Hence the unit shaft friction increases linearily with depth up to the

limiting value and remains constant thereafter.

As pointed out by Randolph et al. (1994), the assumptions in the API guidelines, where limiting
values of end bearing and shaft friction are reached at an absolute stress level which is
independent of the pile diameter, contrasts with the recommendations of Vesic (1967) who
expressed the critical depth as a function of the pile diameter. However Altace et al. (1993)
argued that Vesic had possibly neglected residual stresses in the pile. The effect of residual
Jloads on the distribution of local shaft friction determined by Altace et al. following load tests
on two piles is shown in Figure 2-36a and b. The uncorrected distribution (Figure 2-36b) looks
rather similar to the data presented by Vesic (Figure 2-36¢). It may be concluded that such
uncertainties are a result of the limited database of pile load tests and their generally poor

quality, due to lack of instrumentation and soil data.

Kraft (1990) has presented an alternative approach for estimating K based purely on the relative
density and the effective area ratio of the pile, which is independent of the grain size. The
suggested variation of K, shown in Figure 2-37, is based on field test data and a relationship for
d based on the peak angle of friction @'ma. A comparison of unit shaft resistance profiles from
Kraft’s method and API-RP2A is shown in Figure 2-38. No limiting values are applied and the
average shaft friction increases with depth at a steady rate. Randolph et al. (1994) point out that

the profiles of shaft friction derived from Kraft’s approach are not in keeping with experimental
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evidence, which shows average shaft friction values approaching a limit at large depths.
However, as discussed above the experimental evidence cited by Randolph et al. is in itself

questionable.

Kulhawy (1984) has argued that the experimental observation of limiting shaft friction anses
from a combination of decreasing peak friction angle with stress level and reducing K values
with depth, due to the tendency for the in situ stress ratio X, to decrease with depth. This effect
has been quantified in the approach proposed by Fleming et al. (1992). In their view K depends
on the in situ earth pressure coefficient, the method of pile installation and the initial density of
the sand. They suggested linking the unit shaft friction to the unit base resistance of the pile by
taking K equal to 2 % of Ng. Whilst this approach leads to a good agreement with results of pile
tests on short piles (e.g. Vesic, 1970) it tends to overestimate the pile capacity for very long and
slender piles, for example in off-shore conditions, which is mainly due to the fact that piles of
such geometries are not covered by the database of pile tests used to develop the method. This
disagreement results from ignoring another important factor for the magnitude of the unit shaft
friction which is the length (i.e. geomerty) of the pile. The discussion in the next section will

therefore focus on advances in understanding the distribution of shaft friction along slender

piles.

(b) Distribution of Unit Shaft Friction with Depth
The distribution of local shaft friction has been studied by Vesic (1970) using instrumented
mode! piles of different lengths. Typical distnibutions of shaft friction are shown in Figure 2-36.

Similar observations have often been made in later studies (Hanna & Tan, 1973; Lehane et al.,

1993). Heerema (1980) has referred to the decay of g, with distance from the pile tip as friction
fatigue.

The concept of friction fatigue was first introduced to pile design by Toolan et al. (1990), who
allowed for friction degradation using the f-method as proposed by Burland (1973), where:

B =Ktans =—2 (220)

Based on back analyses of pile tests, authors such as Bhushan (1982) had suggested using a
constant value of S along the pile shaft which varies only with the initial relative density, D, of

the soil using the empirical relation:

B =0.18 +0.0065D, (2.21)
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Toolan et al. (1990) proposed a correlation between £ and the penetration depth of a pile
accounting also for the relative density. This correlation is illustrated in Figure 2-39. It is valid
for full displacement piles and based on back analyses of tests on piles which were mostly
between 10 and 30 m long. For piles of up to 10 m in length and for the 10 m above the pile tip
of longer piles £ can be taken directly from Figure 2-39. Down to 10 m above the pile tip f1s
either 0.24 or can be taken from Figure 2-39 whichever 1s lower. As can be seen from Figure 2-
40, this approach results in a sharp jump in the shaft resistance profile along the pile, that will
certainly not occur in reality. However, the method does differentiate between high friction near

the pile tip and a reduced or degraded, shaft friction over much of the length of the pile.

Based on the interpretation of 25 load tests, Lings (1997) proposed an empirical relationship
again linking the shaft capacity to the relative density. He argued that experimental observations
provide evidence that there is a depth at which the average shear stress reaches a quasi constant
value. He assumed a linear distribution of local shaft friction with depth with the maximum

value at the tip being twice the average according to:

9,4 =23, =20%10"2 (2.22)

Randolph et al. (1994) presented an alternative approach with respect to the magnitude of the
peak unit shaft friction and the distribution along the pile shaft. The approach assumes that the

shaft friction reaches a maximum (fS,.) close to the pile tip and than decays exponentiél]y with
decreasing depth of burial to a minimum value (B.) at the surface, It is assumed that the

magnitude of Sn.. is related to the unit base resistance by:

q’-“p ﬂ max

qs N

g

=S, tand (2.23)

where S, is the ratio of the radial effective stress acting in the vicinity of the tip at shaft

frictional failure to the end bearing capacity. As mentioned earlier, Fleming et al. (1992)

suggested a value of S, of 0.02. Randolph et al. proposed an exponential relationship given by:

S, =aexp(-btang',, ) (2.24)

where a and b are parameters used to adjust the function to model field data. The argument for
using ¢’ rather than ¢’,.. is firstly that it is more easily obtainable from disturbed samples in

the laboratory and secondly that the soil in the immediate vicinity of the pile will have been

sheared to its ultimate condition during installation. The typical values of S, obtained from back
analyses of field tests are in the range of 0.02-0.05. The distribution of the S along the pile shaft

then is obtained from:
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P(2)= Pmin + (Pmax = BminJexpl-H(L—2)/dp ] (2.25)

where [, is a suggested limiting value similar to that used by Toolan et al. (1990), and which

is linked to the active earth pressure coefficient, u is the rate of exponential decay, L the
embedded length of the pile, z the depth below ground level and d, the diameter of the pile.
Thus (L-z)/d, is the normalised length of the pile that has been driven past a particular location.
It should be noted that Equation 2.25 describes the decay of radial stress at a given location on

the pile shaft as the pile tip is driven past.

Figure 2-40 shows a profile obtained by this method compared to that of the Toolan et al.
(1990) approach, the API guidlines and the results of a pile test by Vesic (1970). A fairly good
agreement with the field data is obtained by the method proposed by Randolph et al. (1994).
Methods such as those proposed in the API guidelines do not properly identify the relevant
mechanical relationships that govern the distribution of shaft friction of the long piles used off-
shore. However, the uncertainty of the effect of residual stresses on the curves presented by
Vesic prevent definitive conclusions from being made. A comparison between the pile test data
by Altace et al. (1993) shown Figure 2-36a and the results in Figure 2-40 shows that the method
of Randolph et al. captures the general trend reasonably well although the bell shape curvature

at the base seems slightly more pronounced than from the field measurements.

(c) Correlation with In situ Tests
As with the base resistance, values of unit shaft resistance can either be obtained directly from

the friction sleeve measurements of a CPT, or from correlations with the cone tip resistance, or
from the N-values of the SPT.

Meigh (1987) suggests values of g; ranging from 0.0033 to 0.018 g. depending on the pile type
while Fleming et al. (1992) recommended the direct use of the results from the CPT friction
sleeve measurements or, in cases where no such results are available the use of the empirical

relationship proposed by Vesic (1977):

g, =0.11e™"==gq, (2.26)

The above methods fall short on the issue of distribution of the shaft friction along the pile. This
was introduced in the latest method based on the CPT, the MTD-Method (Jardine & Chow,
1996). Based on field measurements on instrumented piles it accounts for friction fatigue as
well as increases in radial stress due to suppressed dilation during pile installation. The local

unit shaft resistance is obtained by considering the simple Coulomb failure criterion:
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q, =0 tano, (2.27)

where o’y is the radial effective stress at shaft frictional failure and &; is the interface friction
angle at failure obtained, for example, from Figure 2-35. According to Jardine & Chow (1996),
the radial effective stress at failure depends on a number of factors such as the vertical effective
stress level, the distance of the pile tip from the point of interest (friction fatigue) and possible

dilative effects during pile loading. These effects are quantified by the following set of

equations:
o'y =0, +40", (2.28)
o', =0.029q (c",,/p,)" " (h!R)™" (2.29)
4o’ =2G,on/ R (2.30)
G=q,[A+Bn+Cnp’ ]’ (2.31)
n=q./\(P,c"y) (2.32)

where o', is the equalised radial effective stress, o”,, is the free field vertical effective stress

Ao’y the change in o, during loading, P, is atmospheric pressure, 4/R the height above pile
tip, G,p the operational shear modulus, oi the radial movement of the soil, R the pile radius,

A.B,C are constants and 77 1s the normalised cone resistance.

The definitions of some of the parameters are illustrated in Figure 2-41. In essence the method
is very similar to that proposed by Randolph et al. (1994) as it considers friction fatigue using
an exponential decay of the shaft fniction from a maximum at the pile tip to a minimum at the
ground surface. The effect of a change in radial effective stress during loading due to dilative

effects is accounted for by Equation 2.30, which 1s derived from cavity expansion theory. The
term SW/R in Equation 2.30 accounts for the effect of the pile size on the shaft friction. & is

assumed to be constant and approximately equal to two times the roughness average, R,, for

typical offshore pile. As a consequence Equation 2.30 implies that the radial stress and therefore

the shaft resistance increases with decreasing pile diameter.

Although the MTD-Method is purely empirical based on the measured CPT resistance and
calibrated against observations of recent tests on relatively.small and short piles (Lehane, 1992
and Chow, 1996), Bond et al. (1997) concluded that the method is currently the most reliable

one to predict the capacity of piles driven off-shore into the silica sands the North Sea.
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2.4.5 Factors Affecting Pile Capacity

In the previous paragraphs the different pile design methods have been introduced in general
terms. The survey has focused on the fundamental mechanisms that govern the capacity. Most
design methods idealise the pile-soil system to a certain extent, hence the effect of various

additional factors affecting the capacity of driven piles in sand will be discussed next.

(a) Method of Pile Installation

There are a number of different pile installation methods currently in use. The selection criteria
include environmental factors (noise, vibration) and economic criteria (installation speed and
pile capacity). Piles are mainly driven using pneumatic or diesel hammers. In some cases
vibration techniques in combination with high pressure jetting or grouting may be used as well.
The different driving methods will effect the initial state of stress around the pile as well as the
soil density. The rate of penetration may also have an effect on the pile capacity. This has been
cause of discussion especially with regard to the applicability of cone penetration data to pile

design because of the different installation methods and rates of penetration compared to full
scale driven piles (Kraft, 1990).

(b) Pile Type and Dimensions
There are a variety of different driven pile types available such as closed-ended and open-ended

piles made from either concrete or steel, or piles made from H-sections and sheet piles. Further

variety is introduced by the family of tapered piles and driven, cast-in-place piles.

The pile shape will effect the shaft resistance, with for example tapered piles showing a much
increased shaft resistance. Large diameter driven piles are usually open-ended. This introduces
some uncertainty with respect to the plugging behaviour of the pile and its effect on the pile
capacity (Hight et al., 1996). Also in case of H-section piles, there can be uncertainty regarding
the base resistance and the effective shaft area. The pile flexibility, especially with long and
slender piles also has significant effects on the shaft resistance (Murff, 1980) as the phenomena
of friction fatigue has been observed for such piles (Heerema, 1980). Finally the pile material
and roughness of its surface affects the interface friction behaviour of the pile (Kishida &
Uesugt, 1987).

(c) In situ State of the Soil

This is perhaps the most important factor of all. Most currently available design methods based
on laboratory tests characterise the in situ state in terms of relative density (e.g. Toolan et al.
1990). The effects of stress level are only taken into account to correct the strength parameters

of the soil. As far as methods using In situ tests are concerned the interpretation also centres
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around relative density as the relevant state variable (Jardine & Chow, 1996) even though, as
shown for example by Been & Jefferies (1985), the penetration of the cone is governed by the in

situ stress-volume state which is best described using a state parameter.

Following work by Coop & McAuley (1993), Coop (1999a) demonstrated that the shaft friction
of a variety of piles strongly depends on the in situ stress-volume state of the soil with reference

to the critical state. The results from the literature that Coop analysed for a variety of soils types
including carbonate, silica and volcanic sands are shown in Figure 2-42 and indicate that there
is an approximately linear relationship between soil state as quantified by the mean effective
stress at the critical state p',; (Figure 2-1) divided by the initial p’ both at the same specific
volume and . In can be envisaged that such a relationship would also hold for the base

resistance but to date no such relationship has been proposed. Hence to develop such a

relationship and to verify that for shaft friction will be the focus of this research project.

(d) Soil Type

A number of sands of different mineralogy, particle shape and particle size have been
encountered as foundation strata for piles, such as silica sands and carbonate sands. Particle
shape and size depend on the age of the sand and depositional environment and typically

include angular, sub-rounded and rounded particles of between 0.1 and 2mm.

The soil parameters used to descnibe the soil strength and stress-strain behaviour include the
peak and critical state friction angles, the angle of dilation, relative density, rigidity index, shear
modulus and Poisson’s ratio. Most methods assume the material to be elastic-perfectly plastic
with a Mohr-Coulomb failure criterion and a constant rate of dilation (e.g. Carter et al., 1986).
However, more recently the importance of pressure dependent dilation characteristics, non-
linear stiffness behaviour and anisotropic frictional strength have been recognised (e.g.

Randolph et al., 1994 and Jardine & Chow, 1996).

The particle size directly effects the pile-soil interface friction behaviour (Kishida & Uesugi,
1987). Additionally the grading of the soil affects the stress-strain behaviour of the soil, such as
the location of the critical state line, as shown earlier. As it is the distance of the current state of
the soil from the critical state line that governs the behaviour of coarse grained soils, different
positions of the critical state line will prompt different responses of a pile during installation and

subsequent loading.

Semi-analytical methods are generally based on reinterpreting results from field tests on
relatively short piles almost all of which were installed in silica sands. However, the effect of

different mineralogies on the pile capacity-can be extreme. Depending on the stress level

56



induced during pile installation and subsequent loading, particle breakage with consequent
change in volume can have a significant effect on the load-settlement characteristics of a pile.
The lack of a general framework based on the fundamental mechanical features of coarse
grained sotls has led to repeated errors in predicting the pile capacities of long and slender piles
driven into silica as well as carbonate sands (e.g. King & Lodge, 1988 and Williams et al.,
1996). In particular the expenence at Rankin prompted much research into the behaviour of
carbonate soils. The updated version of API-RP2A (1993) contains a commentary on carbonate
soils noting that the pile capacity in these deposits can be as little as 15% of the capacity in
silica sand. However, Coop & McAuley (1993) and Coop (1999a) showed that, contrary to
popular belief, the behaviour of these carbonate sands was not fundamentally different from
other sands and that there is an approximately linear relationship between soil state and f.

Despite the difference in pile type and size a clear trend of increasing # with p°; /p‘, canbe

observed from Figure 2-42.

(e) Time Effects

There is substantial experimental evidence that the shaft capacity of driven piles is time
dependent (e.g. Lehane et al,, 1993 and Chow, 1996). Increases in shaft capacity of up to 250 %
have been observed, as is illustrated in Figure 2-43. Chow et al. (1996) attributed this effect to

a) chemical processes (particularly corrosion of steel piles), b) changes of the sand properties

due to ageing and c) a long term increase in the radial effective stress due to a creep induced

reduction of arching effects. None of these effects 1s currently considered in routine pile design

methods.

(f) Type of Loading
There are three main load types to consider in the process of designing piled foundations:

a) compression loading, b) tension loading and c) cyclic loading.

There has been considerable discussion about the magnitude of the shaft capacity of a pile
subjected to compressive and tensile loading. The experimental data of Lehane et al, (1993)
show that there are significant changes in the radial effective stress during loading due partly to
the rotation of the principal stress directions and partly to the radial strains occurring in the pile
and adjacent soil. De Nicola & Randolph (1993) have shown that the difference is due to two

quantities: the slendemess ratio L/d, for the pile and the dimensionless expression:

n, =vptand((L/d,)/(E, /G)) (2.33)
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where v, 1s the Poisson’s ratio of the pile material, E, is the equivalent Young’s modulus

assuming a solid pile, and G,, is the average shear modulus. In essence, 7, represents a

dimensionless pile compressibility.

According to Jardine & Chow (1996), the cyclic response of piles is governed by the potential
losses of radial effective stresses and shear stiffness during cycling. This depends on the ratio of

the cyclic to the static load components, pile compressibility, soil type and the in situ stress

conditions.

(g) Group Effects

The stress state around a single pile and subsequently its capacity may change due to the
installation of additional piles in its vicinity. This effect depends on the distance of the
neighbouring piles. For example Lehane et al. (1993) reported a 50 % increase in shaft capacity
due to an increase in radial effective stress. The increase in shaft capacity was associated with a
decrease in current mobilised base resistance due to overall pile uplift. As a result of the high

costs of full scale load tests on pile groups there is still a lack of information regarding the
redistribution of shaft and base resistance of piles in pile groups and its effect on the load

settlement behaviour of such foundations.

2.4.6 Full Scale Pile Tests and Laboratory Based Pile Research

In this section the literature on full scale tests on driven piles and laboratory based pile research

will be reviewed with the aim of identifying good quality test data. Good quality test data
requires separate measurements of base resistance and shaft friction as well as corrections for

the effects of residual stresses and drift of the instruments. Particular attention is given to the
quality of soil test data available for a each pile test. The data need to be sufficient to establish
the critical state line in stress-volume space. This information is essential if the pile behaviour is
to be examined within the proposed state parameter framework. This review was carried out
with the intention of using the data from the literature for a comparison with the data obtained
during this project. However due to lack of time this objective was not achieved. The review
should therefore be seen as an attempt to identify good quality tests that could be used for re-

analyses in the future.

(a) Full Scale Pile Tests
Traditionally, predictions from pile design methods (e.g. API-RP-2A, MTD-Method) are
evaluated against case histories of full scale pile load tests. Coyle & Castello (1981) used a

database of 34 tests of which only 16 included both compression and tension loading. Chow &
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Jardine (1996) validated their method (MTD-Method) against 65 full scale pile tests of which
41 were on closed-ended piles and 21 of those were compression tests. Randolph et al. (1994)
found that the soil data accompanying most of the 21 tests in their database to be very limited
and in addition that many of the piles had not been loaded to their ultimate capacity, as defined

in Section 2.4.2.

One of the most comprehensive studies on driven piles was conducted by Vesic (1970). His

results have subsequently been referred to by numerous researchers (e.g. Randolph et al., 1994).
However, as discussed in Section 2.4.4 there has been some doubt in recent years over the
quality of Vesic data regarding the effect of residual stresses (e.g. Altaee et al., 1993). The data
will therefore not be used for this study.

Hunter & Davisson (1969) accounted for residual stresses in their tests on the Arkansas River
site. However, the accompanying soil data do not permit critical states to be identified, hence
the data cannot be used within the proposed framework. The same is true for many other tests

prior to 1990 (e.g. Beringen et al., 1979).

Lehane (1992), reported tests on two instrumented piles at Labenne. Measurements included
load and displacement at the pile head, end bearing as well as local shaft friction and effective
radial stresses at discrete locations along the pile shaft. Laboratory tests were conducted
including shear box, triaxial and interface shear box tests. The penetration of the 100 mm
diameter pile was limited to about 6 m. The interpretation focused on the shaft friction and the

h/R friction fatigue effect. The base resistance at the final depth was found to be 4.5 MPa, and |
was similar to the cone resistance. Even though some laboratory tests have been carried out on

this soil the data available again does not permit identification of critical states and the pile data

cannot be interpreted within the proposed state parameter framework.

During the EURIPIDES pile testing programme (Zuidberg, 1996) 12 load tests were performed
on a fully instrumented pile 762 mm in diameter and open-ended. These were carried out in two
locations at depths of between 30 and 47 m. This programme, in terms of quality of the test data
and similarity to off-shore piles, represents the most comprehensive so far. Unfortunately the
soil data were not included in the above reference and most of the pile data remain confidential

until the middle of the year 2000 and cannot therefore be used for this study.

Chow (1996) conducted three tests in dense marine sand at Dunkirk using the same
instrumented model pile as Lehane (1992). The depth of penetration varied between 6.0 and
7.5 m. The soil properties were investigated by means of in situ tests (CPT, DMT) and
laboratory tests (triaxial, shearbox and interface shear box tests). The profiles obtained of base

resistance and average shaft resistance during pile installation are shown in Figure 2-44a and b.
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There 1s good agreement between the measured cone and base resistances indicating that scale
effects and soil variability for the given pile geometry are marginal. However, the base
resistance mobilised during the load tests following installation reached only 72% at a
normalised pile head displacement of 0.4 associated with peak shaft friction and a maximum of
90% for larger displacements. Shown on Figure 2-44b is the mobilised shaft resistance during
two compression (L1C) and one tension load tests (L1T) for the piles. Chow observed an
increase in shaft friction from installation to the load test between 7 and 10% and attributed this
to equalisation of the radial stress and the slower rate of shearing during the load test. Again, the
soil data accompanying the pile tests are insufficient to identify critical states and the data again

cannot be re-interpreted using the proposed state parameter approach.

Coop (1999a) has collected full scale test data from pile load tests in a variety of sands, where

sufficient soil laboratory data were available. The resulting profile of  against state parameter
was shown in Figure 2-42. Most of the data were obtained from tension tests on piles off-shore

and no equivalent data for base resistance could be obtained.

(b) Calibration Chamber Tests

These tests are mainly undertaken with the aim of calibrating in situ testing devices such as cone
penetrometers and cone pressuremeters. The similanity of the penetrating cone to the penetration

of a pile makes these tests particularly suitable.

Baldi et al. (1986) calibrated their CPT in Ticino sand. This material is a well known sand for
laboratory soil element studies and a bi-linear cntical state line has been suggested by Konrad
(1998). Cudmani (2000) determined the input parameters for the hypoplastic model and the CSL
computed from Equation 2.6 can be used to normalise the data obtained by Baldi et al. (1986).

Evans (1987) and Yasufuku & Hyde, (1995) conducted tests on model piles in a calibration
chambers using Dogs Bay sand. Nutt (1993) conducted experiments on a cone pressuremeter in
the same soil. As the grading used for their studies is similar to that selected for the present
research, both data sets, in combination with the critical state data given in Chapter 3 could be

used and interpreted within the state parameter concept.

(c) Centrifuge Model Tests

A number of researchers have conducted studies on driven model piles or cone penetrometers in

the centrifuge (e.g. Ko et al.,, 1984, Phillips & Valsangkar, 1987, Fioravante, 1994 and de
Nicola & Randolph, 1999). Mostly well known “laboratory” soils such as Leighton Buzzard and
Toyoura sand were used. However, critical state data are available only for a limited number of

sotls.
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Fioravante (1994) used an instrumented model pile at different g-levels and studied the effect of
the method of installation on the pile behaviour in Toyoura sand. Axial load cells were mounted
at different heights along the pile, thus allowing local measurements of shaft resistance. Typical
penetration profiles are shown in Figure 2-45. The critical state line for this soil was identified

by Verdugo & Ishihara (1996) and an approximation to this line using Equation 2.6 can be used

to normalise the centnifuge test data.

Phillips & Valsangkar (1987) conducted centrifuge cone penetrometer tests in 14/25 Leighton

Buzzard sand. Additional cone penetrometer test data from calibration chamber tests are also
available (Houlsby & Hitchman, 1988). The critical state line for the material has been
identified by Stroud (1971). An approximation to the CSL by Stroud (1971) using Equation 2.6

in combination with the parameters determined by Cudmani (2000) could again be used to

normalise the test data.

In summary it may be concluded that the vast majority of the full scale pile tests published in
the literature are of limited quality and almost all lack basic but good quality information about
the large strain soil behaviour. Consequently only a very limited database can be obtained for
silica sands which is restricted to short, small diameter piles. For carbonate sands no high
quality data for base resistance could be found. One general problem of full scale field tests is
that the soil conditions cannot be controlled and the pile behaviour is additionally affected by

factors such as soil variability, depositional history, layering, bonding and possibly ageing

effects.

Laboratory based pile research projects can provide alternative sources of high quality data as a
number of experiments can be performed under carefully controlled conditions. Particularly
suitable are calibration chamber tests on cone penetrometers due to their similarity to driven
piles as well as centrifuge model tests. The vanation of the level of acceleration in the
centrifuge while using the same model pile allows observations of scaling effects. Due to lack of
similarity of stress levels (Craig & Sabagh, 1994), conventional 1-g laboratory tests are not

suitable to study the behaviour of full scale piles.

2.5 Summary and Conclusions

The review of the literature on the mechanics of coarse grained soils has shown that for sands as
for clays the current in situ state in terms of stress and volume is the key factor controlling the

soil behaviour, Coarse grained soils of different mineralogies, particle shapes and particle sizes
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behave in essentially identical ways and their behaviour can be described within the critical state

framework.

When applying normalisation procedures to soil test data it is important to use a unique and well
defined reference condition. It was shown that both the isotropic compression and the critical

state line are such unique reference lines and that it is the distance of the current stress-volume
state from the NCL or CSL which is the principal factor controlling the shearing behaviour at
small as well as large strains. This distance is affected either by changes in stress or changes in

volume, and both must therefore be accounted for.

Experimental identification of critical states especially in stress-volume space has been shown
to be a difficult task. This is mainly due to errors in the measured volumetric strain due to non-

homogeneous deformations and shear bands. The recently developed methods for measuring
volume changes locally by computer tomography (Desrues et al.,, 1996) and digital image

analysis (Kuo & Frost, 1996) are very promising but at present are unsuitable for routine testing.
It was demonstrated that local gauges, although limited to monitoring the deformations in fixed

locations, can provide an alternative solution and this technology was hence selected for the

present study.

With respect to piles, it can be summarised that the predictions of pile capacity based on
currently available design methods are highly variable and that the semi-analytical methods
such as API-RP2A are the least reliable. The varnability is mainly due to the assumptions made
in the derivations of the methods such as failure modes, soil compressibility and stress-strain
behaviour of the soil. Methods based on in situ tests, especially on cone penetration tests, such
as the MTD-Method, although equally empirical, tend to be more reliable. However, these
methods are strongly affected by scale effects and soil variability. The method by Randolph et
al. (1994) seems particularly affected by this problem as it assumes the pile base resistance to be
equal to the cone resistance. On the other hand the MTD-Method relies heavily on high quality
field tests conducted on relatively small and short piles. An extrapolation to long and large
diameter piles as used frequently off-shore requires caution especially if no CPT-data are

available.

All pile design methods tend to use the relative density as the key parameter to characterise the
soil state and subsequently the pile response during loading. Although it has been recognised
that pile behaviour is affected by the stress level as well as initial density, the stress level is
taken into consideration only to correct the strength and stiffness properties of the soil. All
methods have been developed for and evaluated against pile tests in silica sands and their semi-

empirical nature prohibits a general use for other soils types without verification by means of
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full scale load tests. The effects of particle breakage shown by Yasufuku & Hyde (1995) to
control the bearing capacity and load-settlement behaviour of piles in crushable soils are

currently not considered in conventional pile design methods.

Recent research into the fundamental mechanisms that govern the behaviour of coarse grained

soils has shown that a more thorough approach should include the in situ stress state in the
description of the initial state of a coarse grained soil. A first attempt to apply this principle to
pile design has been made by Coop & McAuley (1993) and Coop (1999a) with encouraging
results. To advance further in this direction is the central point of interest within this research
project. The soil element tests and centrifuge model tests conducted to provide the high quality

test data needed to establish a more general framework will be described in the next two

chapters.
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3. Laboratory Soil Testing Programme

This chapter focuses on the laboratory testing programme undertaken for this research project.
First the two sands tested are introduced and details given of their geographical and geological
origin along with a description of their engineering characteristics. This is followed a
description of the surface roughness measurements carried out on the pile and on the shear box
interface plates. Direct shear box tests were undertaken to study the behaviour of the soils when
sheared along the pile surface. Additionally, a series of interface ring shear tests was carried out
towards the end of the project. These will be discussed separately in Chapter 5. The main part of
the chapter covers the triaxial testing equipment, procedures used and test results obtained. The
aim of these tests was to identify the position of the critical state line for each soil over a wide
range of pressures. The chapter closes with a short summary and conclusions of the test results

presented.

3.1 Origin and Characteristics of the Solils Tested

3.1.1 Silica Sand (Leighton Buzzard Sand)

The silica sand used for this project is known in the literature as Leighton Buzzard sand. More
precisely, in geological terms, it is a Lower Greensand from the Leighton Buzzard Beds in the
UK. The deposits were formed in a shallow marine environment during the Cretaceous period
some 65 to 146 million years ago. In the literature 1t 1s usually described as a natural, uncrushed
silica sand (SiO,) light brown to pale silver to brown in colour, with rounded to sub-rounded
particles. The behaviour of Leighton Buzzard sand has been studied in the past at Cambridge
University (e.g. Roscoe, 1967 and Stroud, 1971) and elsewhere. It has also frequently been used
in centrifuge model tests (e.g. Springman et al., 1991 and Ng & Springman, 1994). From now
on Leighton Buzzard sand will be referred to by the abbreviation LBS.

For this study a commercially available standard LBS, Class D was used and was supplied by
the David Ball Corporation, Cambridge. Figure 3-1a shows a picture of some typical sand grains
under the microscope. The material delivered consists of angular to sub-angular particles rather
than rounded to sub-rounded ones as stated in the general geological description of Leighton
Buzzard sand. The particle sizes of this matenal range between 0.15 mm and 0.30 mm. The
sand is poorly graded as 85 % of the particles are within the stated range. Grains of this size
were considered small enough to eliminate particle size effects in the centrifuge model tests.
The grading curve of the material is given in Figure 3-2, On delivery the sand is washed, d<ns1:XMLFault xmlns:ns1="http://cxf.apache.org/bindings/xformat"><ns1:faultstring xmlns:ns1="http://cxf.apache.org/bindings/xformat">java.lang.OutOfMemoryError: Java heap space</ns1:faultstring></ns1:XMLFault>